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Abstract

A comprehensive research program was conducted at Lehigh University to investigate the
causes of brittle failures observed in numerous welded connections during the 1994 Northridge
earthquake and ways to improve their ductility. In this program, tests on pre-Northridge con-
nection details demonstrate that several weak links in the connection design and fabrication
resulted in their premature failures. To develop improved details for welded unreinforced con-
nections the effects of weld metal, weld access hole geometry, beam web attachment, conti-
nuity plates, and panel zone strength on cyclic ductility were investigated using non-linear
finite element models and full-scale connection tests. The results from these studies are
presented, along with recommendations to insure ductile connection performance. 2002
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1. Introduction

The 1994 Northridge earthquake in California resulted in widespread damage to
welded beam-to-column connections in moment-resisting framed structures in the
Los Angeles area [1]. The moment connection used in these structures is the popular
welded flange and bolted web type, as shown in Figure 1. The beam flanges are
welded to the column flange with full penetration groove welds and the beam web
is bolted to a shear tab, which is shop welded to the column flange. Supplementary
welds are sometimes provided between the shear tab and beam web. Weld access
holes and back-up bars, which generally remain in place, are needed to make the
beam flange welds. This connection has been “prequalified” as a ductile connection
based on the results of tests on moderate-size laboratory specimens [2], and had been
widely adopted since the late 1960s. Shortly after the earthquake an inspection of a
building under construction found cracks initiating from the beam flange welds in
several connections. In some cases the cracks also extended into the column. Sub-
sequent inspections found similar damage in more than 100 low- and high-rise build-
ings in the Los Angeles area.

This paper presents the results of a comprehensive research program that was
conducted at Lehigh University following the 1994 Northridge earthquake. This
research program included investigations to study the cause of the connection frac-
tures that occurred during the earthquake. In addition, the program included experi-
mental and analytical studies to develop improved performance of welded connec-
tions under inelastic cyclic loading.

2. Failure analysis of fractured welded pre-Northridge connections

Following the 1994 Northridge earthquake, Youssef et al. [1] conducted a survey
of 1290 floor frames in 51 steel buildings. The buildings were from a variety of

Fig. 1. Typical “pre-Northridge” welded moment connection.
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locations in Los Angeles, of different sizes, frame configuration, and construction
type. The buildings were designed in the period from 1966 to 1994. The survey
identified several different forms of crack patterns occurring near the beam flange
weld. They are defined as follows:

� G3 Top or bottom beam flange fracture in heat-affected zone.
� C1 Incipient column flange crack.
� C2 Complete column flange tearout or divot.
� C3 Full or partial column flange crack in heat-affected zone.
� C4 Full or partial column flange crack outside heat-affected zone.
� C5 Laminar column flange tearing.
� W1 Incipient beam flange weld crack, especially at weld root.
� W2 Crack through weld metal, full or partial width of beam flange.
� W3 Fracture at fusion line with beam flange.
� W4 Fracture at fusion line with column flange.

Youssef et al. [1] reported that, based on the survey, the most common form of
damage found was partial or complete fracture of the beam flange groove welds (W1
and W2). About 40% of the inspected floor frames had some cracking in the bottom
weld, and about 15% had some cracking in the top weld. Damage to the base metal
was found to occur most frequently as a fracture of the column flange adjacent to
the beam bottom flange weld; 15% of the floor frames inspected had one or more
incidences of this type of fracture. Youssef et al. [1] concluded that the observed
column flange and weld fracture patterns strongly suggested that the damage was
related to the condition at the weld root. The welded joints appeared to be brittle,
with little evidence of inelastic behavior in the weldment or base metal. The fractures
were also attributed to a variety of other factors, including the weld process, quality
of workmanship, base metal properties, and connection design [3–5].

A study was undertaken at Lehigh University [6] in order to characterize the origin
of the fracture and material properties of failed connections, thereby permitting a
rational failure analysis to be made. A detailed analysis was performed of 19 fractures
removed from five different buildings damaged during the Northridge earthquake.
The fractures included the most common types of weld and column fractures reported
in the building survey. The buildings selected were located at different distances and
directions from the earthquake epicenter and each suffered a different extent of dam-
age. The buildings were of sizes, designs, and ages representative of a large number
of the buildings damaged in the earthquake.

All 19 samples were removed from the beam bottom flange weld joints. This is
partly due to the higher frequency of bottom flange fractures but also because they
were more readily accessible for removal. The connection designs were all similar
with full penetration groove welded flanges and bolted shear tabs. The samples con-
sisted of a relatively wide variety of beam and column sizes. The beam sizes ranged
from W24 × 76 to W36 × 210, and the column sizes ranged from W14 × 120 to
W14 × 398.

The most frequently represented fracture type among the 19 fracture samples was
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Type C3 (11 samples), which resulted in a fracture penetrating across the column
flange. Four samples exhibited fracture of the column, which formed a divot in the
column flange (Type C2). The remaining four samples fractured in the vicinity of
the weld fusion line in the column flange (Type W4).

The fracture surfaces of all of the samples were analyzed in order to characterize
the fractures and to determine the location of fracture origin. In addition, the size
and source of the originating defect was recorded. The fracture origins were exam-
ined with a scanning electron microscope (SEM) to obtain information concerning
the fracture mechanism at the fracture initiation. The details are presented by Kauf-
mann et al. [6].

From the SEM examinations, cleavage fracture was found to be the mechanism
of crack propagation in all of the samples regardless of crack propagation path. Also,
the location and source of fracture initiation was found to be the same in all of the
samples. Brittle fracture initiated close to the mid-width of the weld (near the column
centerline) usually from a weld root incomplete fusion flaw in this area arising from
entrapped slag or porosity at the back-up bar. A higher incidence of weld root incom-
plete fusion is expected in this area due to the limited access for welding afforded
by the weld access hole.

The depths of all fracture initiating root flaws, as well as the thickness of the weld
back-up bar, were measured. A large range of flaw sizes (0.8 mm to 10 mm) that
initiated connection fracture was found within the test samples. This suggests that
the weld root flaw itself is not the primary reason for fracture but when coupled
with the notch introduced by the weld back-up bar (of thickness of 9.5 mm) provides
a large effective flaw depth aeff of 10 to 20 mm. Figure 2 shows the distribution of
fracture-initiating effective flaw sizes within the limited test samples. The minimum
effective flaw size is represented by the weld backing thickness. The most frequent
fracture-initiating effective flaw size is seen to be between 10 mm and 12 mm.

Fig. 2. Distribution of fracture initiating weld flaw sizes.
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Another common factor among all of the fractured connections that were studied
is that the welds were deposited with E70T-4 electrodes, which were in common
use prior to the Northridge earthquake. E70T-4 is a self-shielded, flux-cored wire
with a yield strength typically in the range of 415–448 MPa and a tensile strength
of about 585 MPa, and has been popular among fabricators because of its high
deposition rate. The notch toughness tests of weld metal removed from sixteen con-
nection samples, other damaged building connections [5] and weld metal deposited
in laboratory tests [6,7] have consistently shown that the E70T-4 weld metal provides
a low level of notch toughness. This is consistent with the fractographic observations
on the 19 samples that indicate that brittle fracture of all samples examined developed
by crack instability from a crack-like flaw located within this low toughness weld
metal. Shown in Figure 3 is a comparison of CVN values of various weld metals
produced in the laboratory, including: E70T-4; E70TG-K2 (another self-shielded,
flux-core electrode); and E7018 that is used in the traditional shielded-metal-arc
welding process. At 21°C, the lower bound CVN energy is only about 14 Joules for
the E70T-4 electrode compared to 70 Joules and 180 Joules for the E70TG-K2 and
E7018 electrodes, respectively.

Figure 4(a) shows Charpy V-notch (CVN) toughness data compiled from tests of
E70T-4 weld metal from the 19 connection samples removed from the five buildings,
other building connections, and specimens from laboratory weldments. At 21°C, the
lower bound CVN energy is only 7 Joules. The fracture toughness of the E70T-4
weld metal estimated from these Charpy V-notch test data is shown in Figure 4(b).
The plot shows the dynamic fracture toughness, KID, of the weld metal obtained by
applying the following correlation [8]:

KID � �0.64E(CVN) (1)

where E and CVN are the modulus of elasticity (in GPa), and the measured Charpy

Fig. 3. CVN test data for various filler metals [6].
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Fig. 4. (a) E70T-4 weld metal CVN results from building samples and laboratory tests, and (b) fracture
toughness. (Data points from 25 mm thick CT specimens ß thickness corrected).

V-notch energy (in Joules), respectively. The test data shows that the dynamic frac-
ture toughness, KID, of the E70T-4 weld metal has a lower-bound value of 31 MPa
√m at room temperature (21°C) with a mean of 42 MPa √m and reaches an upper
shelf toughness of 64 MPa √m at 100 °C with a mean of 80 MPa √m. The band of
data arises from the variability of toughness in multipass welds and normal CVN
test scatter. Experience has indicated that toughness estimated from CVN testing
represents a lower bound of fracture toughness [8]. Also plotted in Figure 4(b) are
the results of 25-mm-thick E70T-4 weld metal compact tension tests produced in
the laboratory and tested statically and at intermediate loading rates (1 sec to fracture)
similar to those developed during earthquakes [7]. The measured toughness was
adjusted using a β correction [8] to account for non-plane strain test conditions. The
corrected static fracture toughness of the weld metal at room temperature, Kβ1C, was
found to be equal to 54 MPa √m and was reduced to 52 MPa √m to 54 MPa √m at
intermediate loading rates. Tensile properties of E70T-4 weld metal, determined from
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laboratory weldments [7] show a 0.2% offset yield point of about 448 MPa. Hence,
the strain rate shift between the estimated dynamic toughness, KID, and the static
fracture toughness, K1C (which in this case is the corrected static fracture toughness
Kβ1C), is [8,9]

TS � 119�0.12sy�65°C (2)

Applying a strain shift rate of 0.75TS to account for intermediate loading rates,
such as that which occurs in an earthquake, shows good agreement between the
lower-bound dynamic toughness from the CVN test data and the intermediate-rate
K1C tests. Based on this strain rate shift, the CVN test data of Figure 4(a) shows a
range of toughness that can be provided by E70T-4 weld metal at intermediate load-
ing rates as 50 MPa �m to 75 MPa �m at room temperature.

The fracture instability that developed from the weld root defect in each of the
fracture samples examined can be modeled as a simple edge crack, as shown sche-
matically in the insert of Figure 2. The stress intensity, K, at the crack tip can be
expressed as [8,9]

K � 1.12s�paeff (3)

where the effective crack depth, aeff, is represented by the sum of the weld backing
thickness and the actual depth of the weld root flaw and σ is the applied stress. A
simple edge crack condition is insured since the length of the backing bar lack of
fusion is of the order of the beam flange width and large in comparison to the depth
of the notch it introduces. Figure 5 shows a plot of applied stress, σ, as a function
of flaw size using Equation (3) and the expected range of fracture toughness for
E70T-4 weld metal (i.e., K = K1C = 50 MPa √m to 75 MPa √m). The plot shows

Fig. 5. Critical applied stress vs. effective flaw depth for E70T-4 WSMF connections.
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the conditions of applied stress and flaw size under which crack instability will
develop. For example, for flaw sizes on the order of the backing bar thickness (9.5
mm), crack instability can occur at an applied stress of 258 MPa to 388 MPa, which
is in the range of the yield strength of A36 material that was typically used for
beams. The critical stress is further reduced by the presence of weld root flaws. This
analysis indicates that the cleavage fracture crack initiation which was observed in
all welded connection samples would occur without significant yielding in the beam
flange, and in cases where a large weld root defect existed fracture could occur under
elastic stresses.

Propagation of the dynamic expanding crack will be influenced by the principal
stresses and variations in material toughness. The combination of tensile stresses in
the beam flange and bending stresses in the column flange result in principal stresses
that can direct the crack in a variety of directions. This may lead to the development
of fractures that extend across the column flange, divot-type fractures, or fractures
that simply extend along the fusion line of the weld. The critical applied stress is
also influenced by other factors that increase or decrease the fracture stress. All of
the fractures have tended to initiate at the mid-width of the beam flange. This is due
in part to the higher probability of weld root defects at this location and also because
of the higher stresses at this location; the stress distribution across the beam flange
is not uniform and with higher stresses at the web–flange junction (as will be dis-
cussed later). Also, variations in weld procedure can introduce either tensile or com-
pressive residual stresses at the weld root, which tends to decrease or increase the
applied stress at fracture.

3. Pre-Northridge connection tests

Following the Northridge earthquake, numerous experimental studies were con-
ducted to investigate the various aspects that were believed to be associated with
the failures observed in the pre-Northridge connection and to improve connection
performance.

To study the effect of material property and fabrication variables on connection
performance without the complexity and high cost of large-scale testing, the small-
scale tension specimen shown in Figure 6 was developed and tested by Kaufmann
and Fisher [10] and Ricles et al. [11]. The test specimens represent a simulated beam
tension flange-to-column flange welded detail. A total of 39 specimens were tested
under the two test programs. The intent of these tests was to study aspects of connec-
tion behavior and the relative effects of individual variables, and to identify con-
ditions that improved or deteriorated weld joint performance. This specimen was
utilized to study the effects of beam and column material properties, filler metals,
and weld procedures on weld joint performance. In addition to material and fabri-
cation variables, the effect of strain rate was also studied by conducting tests both
statically (a strain rate of the order of 10–3 to 10–4 sec–1) and at dynamic strain rates
(a strain rate on the order of 10–2 sec–1) similar to earthquake conditions. While the
test specimen did not exactly replicate the stress conditions of a prototype joint, the
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Fig. 6. Simulated beam flange-to-column flange test specimen.

results from the study were useful in screening the effect of the above variables on
connection performance.

The test specimen consists of a section of W14 × 176 (A572 Gr. 50) with one
flange removed. A pull plate was welded to the web of the section for gripping in
a universal test machine. A 152-mm × 406-mm × 25.4 mm (A36 or A572) plate
was then groove welded to the column flange face to simulate the beam flange con-
nection. A coped web plate was also added to introduce welding access restrictions
similar to welding the bottom flange of a connection. This plate was removed before
testing to permit installation of a strain gauge at the beam mid-width close to the
weld. Test specimens were fabricated using six different filler metals (E70T-4,
E7018, E71T-8, E70TG-K2, E70T-6, and E70T-7), all of which were self-shielded,
flux core filler metals except for the E7018 electrode. A 3.2-mm-diameter E70T-4
electrode was used, similar to the electrode commonly used in moment connections.
Welds were deposited with this electrode using both manufacturers’ recommended
welding parameters and parameters that produced high heat input deposits, similar
to those observed in numerous fractured connections in buildings. Shown in Figure
3 is the Charpy V-notch toughness obtained for most of these filler metals. A wide
range in Charpy V-notch toughness is apparent. E70T-4 and E70T-7 have no CVN
toughness requirement, while E70TG-K2, E7018, E71T-8, and E70T-6 have a mini-
mum specified CVN impact toughness of 27 Joules at –29 °C. The low notch tough-
ness measured for the E70T-4 weld metal of laboratory welded specimens is shown
in Figure 3 (approximately 14 Joules at 21 °C), and is consistent with the CVN
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toughness of weld metal measured in fractured connections in buildings [5]. Little
difference in toughness was measured in welds deposited using manufacturers’ rec-
ommended parameters and parameters that produced high heat inputs. The E70TG-
K2 provided the specified toughness, although substantially less than E7018. In
addition to varying the filler metal, tests were also performed with and without the
back-up bar, using end dams instead of proper end tabs, using grooved back-up bars
(see the insert in Figure 6), and using beam flange plates with yield strength ranging
from 276 MPa to 400 MPa. Figure 7 shows load vs. test machine crosshead displace-
ment plots for three specimens fabricated using: (1) pre-Northridge fabrication prac-
tice (E70T-4 filler metal with the back-up bar retained), (2) pre-Northridge practice
retrofitted by removing the back-up bar and adding fillet reinforcements to the weld
root and weld toe with a notch tough electrode (E71T-8), and (3) pre-Northridge
practice except that a notch tough electrode (E70TG-K2) was used with the back-
up bar remaining in place without a fillet reinforcement.

Fig. 7. Load-crosshead displacement response of three small-scale tension specimens.
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Brittle fracture developed in the “pre-Northridge” specimen (see Figure 8(a))
shortly after the beam plate yielded. The A36 beam plates in this test had a yield
strength of 276 MPa. The fracture origin appeared to be located at the weld root
adjacent to the notch introduced by the back-up bar at a location with incomplete
root penetration (see Figure 8(b)). The results for the “pre-Northridge” specimen
with the back-up bars removed are shown in Figure 7(b). Brittle fracture again
occurred, although after greater plastic deformation developed in the beam plate. In
this case the fracture initiated within the weld metal and not close to the column
fusion line as occurred in the first test. In contrast, when the E70TG-K2 filler metal
was used to fabricate the joint, no weld cracking occurred and the ultimate strength
of the beam plate was developed (see Figure 7(c)). Fracture occurred in the gross
section of the beam plate, as shown in Figure 9.

A summary of the test results for all specimens is shown in Figure 10. For all
specimens fabricated with E70T-4 electrode weld metal, fracture instability
developed within the weld metal after only small plastic joint strains. Eliminating
the notch in the weld metal by removing the weld back-up bar marginally improved
the extent of plastic straining, but still failed by a brittle fracture mechanism within
the weld metal. In contrast, fracture occurred in the base metal of all specimens that
were welded with high notch toughness filler metals having a typical minimum CVN
impact toughness of 27 Joules at –29 °C (i.e., E70TG-K2, E71T-8, E70T-6, and
E7018 electrodes). An exception exists for four specimens: (1) one specimen failed
by a brittle column divot fracture due to a lack of fusion at the back-up bar; (2) two
specimens with a grooved back-up bar developed some plastic deformation before
a fracture initiated at the root of the weld where a defect existed from entrapped
millscale and slag (caused by the geometry of the grooved back-up bar); and (3)
one specimen with a removed continuity plate developed some plastic deformation
before a fracture occurred at the weld root where a 1.6-mm-deep flaw existed above
the back-up bar.

Of all factors examined in the study, the weld electrode type had the most signifi-
cant effect on weld joint performance. The test results suggest that brittle fracture
of weld joints in moment frame connections can be suppressed by using weld metal

Fig. 8. (a) “Pre-Northridge” simulated beam flange-to-column test fracture, and (b) fracture surface
showing origin of fracture at weld root defect (arrow) at back-up bar.
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Fig. 9. Beam plate yielding and fracture of “pre-Northridge” test specimen with E70TG-K2 weld metal.

Fig. 10. Summary and comparison of tension test specimen joint deformation.
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with a minimum notch toughness of 27 Joules at –29 °C in conjunction with
improved weld detailing such as removal of weld back-up bars and control of weld
flaws through inspection.

Parallel to the simulated tension connection studies, two full-scale beam-and-col-
umn assemblies with a “pre-Northridge” connection detail were dynamically tested.
The specimens consisted of one-sided (i.e., exterior) connections. The column was
a W14 × 311, 3.886 m long, and made of A572 Gr. 50 steel. The beam was an A36
steel W36 × 150 section, with a flange yield strength equal to 262 MPa, and 3.048
m long. Dynamic load cycles were applied at the free end of the beam by two servo-
controlled actuators. Two issues were considered in determining the loading rates.
One was the response frequency of a typical multi-story steel structure and the other
was the appropriate kinetic deformation rate of steel in the plastic range.

The first specimen tested was Specimen A-1, which was detailed to represent
typically pre-Northridge practice. The second specimen was Specimen A-2, which
was the same as Specimen A-1, but with the back-up bar and weld tabs removed
and a 9.5-mm reinforcing fillet weld (E71T-8) added to its weld root. E70T-4 was
used as the filler metal in both specimens. The groove welds were ultrasonically
tested. In both specimens, ten high-strength A325 bolts, 25.4 mm in diameter, were
used to connect the beam web to a shear tab.

The applied beam load-beam tip displacement response of Specimens A-1 and A-
2 is shown in Figure 11. Specimen A-1 fractured at the bottom flange connection
in a brittle manner. The cracks started at the root of the weld, extended into the
column flange and caused a divot-type fracture (failure Type C2). The beam bottom
flange completely separated from the column. The maximum bending moment achi-
eved in the beam during the test was only 0.87Mp, where Mp is the plastic moment
capacity of the beam. The fracture occurred when both the beam and column were
still in the elastic range. After testing, a careful examination was made of the crack
surface. The point of crack initiation was at the incomplete fusion flaw contiguous
with the weld backing. A fractographic analysis confirmed that the critical fracture
initiated within the weld metal. The applied stress at the groove welds was approxi-

Fig. 11. Applied load-beam tip displacement response (a) Specimen A-1, and (b) A-2.
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mately 262 MPa. Using the estimated effective crack size aeff of 13 mm, which is
the sum of the incomplete fusion and the weld backing thickness, as illustrated in
Figure 2, the critical value for the stress intensity K from Equation (3) is about 58
MPa�m. This value, identified as A-1, is compared with the estimated weld fracture
toughness in Figure 5. Also shown in Figure 5 are the results of static tests on other
large-size connection specimens fabricated with E70T-4 welds [10]. All of the speci-
mens fall within the band where brittle fracture is anticipated. All of the specimens
plotted in Figure 5 developed a fracture without significant yielding of the beam,
and are therefore consistent with the fracture analysis predictions.

The removal of the back-up bars in Specimen A-2 improved the connection per-
formance, but brittle fracture of the flange welds again led to failure. Other than the
limited yielding around the weld access holes, the connection behaved elastically
when the welds of the top and bottom flanges fractured almost simultaneously during
reversed loading. The fracture surface was confined entirely in the weld. The
maximum bending moment resisted by the connection was 0.92Mp.

The inferior performance of Specimens A-1 and A-2, and that of the tension test
specimens with E70T-4 filler metal, indicate that the fracture of Specimens A-1 and
A-2 was due to the low fracture resistance of the E70T-4 weld metal. It is therefore
necessary to impose a minimum fracture toughness requirement on the weld metal
used in order to insure ductile behavior. A Charpy V-notch fracture toughness of 27
Joules at –29 °C was imposed by the AISC in 1997 [12].

4. Prior studies to develop improved connection ductility

After the Northridge earthquake several experimental studies were conducted in
an attempt to develop improved details for ductile welded unreinforced moment con-
nections. These studies included 13 tests conducted by Lu et al. [13], Stojadinovic
et al. [14], and Engelhardt [15]. The test specimens consisted of a beam-to-column
exterior connection, where the beam and column sections ranged in size from W24
× 68 to W36 × 150 and W14 × 120 to W14 × 455, respectively. The complete
penetration groove beam flange welds were made for all specimens using a notch-
tough electrode (either the E70TG-K2 electrode or the E7018 electrode). The weld
tabs were removed and the corners ground smooth. On the bottom flange the backing
bar was removed; the root of the weld was gouged out using the air-arc procedure
and rewelded and reinforced with a fillet weld made overhead using the E71T-8
electrode. On the top flange the backing bar was left in place and the bottom side
facing the column was reinforced with an E71T-8 fillet weld. In some specimens
both the top and bottom backing bars were removed. The beam webs of all of the
specimens were bolted, except for the tests by Lu et al. [13], which had the beam
webs attached to the column flange using a complete penetration vertical groove
weld using the E71T-8 electrode. Except for one specimen, all specimens had conti-
nuity plates. The access holes for the specimens are shown in Figure 12(a) and 12(b)
and were of conventional geometry, representing typical fabrication practice.

The specimens generally developed inelastic deformation in both their beam and
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Fig. 12. Weld access hole geometry of prior and current studies.

panel zone. The total plastic story drift, θp, developed in the specimens ranged from
0.005 radians to 0.033 radians. Of the 13 tests, only one successfully achieved a
plastic rotation of 0.03 radians or more. This was a specimen tested by Lu et al.
[13], which was an all-welded connection (i.e., the beam web and flanges were
groove welded to the column flange).

The 1997 AISC Seismic Provisions and the FEMA Interim Guidelines [16] require
connection details to undergo qualification tests, where two specimens with the same
detail have to develop a cyclic plastic rotation of 0.03 radians in order for the detail
to qualify for use in seismic-resistant design. Hence, the remaining connections
would not qualify for use in seismic-resistant design under either the 1997 AISC
Seismic Provisions or the FEMA Interim Guidelines. The typical failure mode in all
of the specimens was a fracture in the base metal of the beam flange. This fracture
originated at the toe of the access hole, where a through-flange thickness crack
initially formed. An examination of some of the specimens indicated that the devel-
opment of the through-thickness crack that led to fracture of the flange was caused
by a low-cycle fatigue failure [17]. The results from these tests raised concerns about
the effects of the web attachment detail and the fracture at the weld access hole
region.

5. New studies to improve connection ductility

The numerous causes that contributed to the poor performance of moment connec-
tions motivated additional analytical and experimental studies by the authors, which
were conducted under the second phase of the SAC Steel Project [18]. In these
studies, the effects that various connection details have on inelastic cyclic perform-
ance of welded unreinforced moment connections were investigated. The connection
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details investigated included: (1) geometry and size of the weld access hole, (2)
beam web attachment, and (3) panel zone capacity. The analytical study involved
conducting a parametric study using non-linear finite element models of different
welded unreinforced flange connection configurations. The results from this study
led to a better understanding of welded moment connection behavior under seismic
loading conditions and to the development of improved connection details. These
design details were verified by testing 11 full-scale specimens, and shown to produce
ductile welded unreinforced flange moment connections.

6. Finite element study

6.1. Finite element model

The connection subassembly shown in Figure 13 was used in the finite element
parametric study. This subassembly is the same utilized in the experimental study
for exterior connections by Ricles et al. [18]. Specimen T1 was chosen as the control
specimen for the analysis. It consisted of a W36 × 150 beam connected to a W14
× 311 column. These member sizes are typical in moment-resisting frames (MRFs)
in California for newer construction involving Grade 50 steel. The beam flanges are
joined to the column flange with field groove welds using the flux core arc welding
procedure with E70TG-K2 electrodes. The bottom back-up bar was removed, back-
gouged, and reinforced with a notch tough fillet weld, while the top back-up bar was
left in place and reinforced with a closure fillet weld. The beam web was connected to
the column flange using a groove weld with supplemental fillet weld around all edges
of the shear tab. The shear tab served as an erection device during construction
(through the use of erection bolts) and as a back-up bar for the web groove weld.
Continuity plates were located on both sides of the column web. Different connection
configurations were created by changing some of the details of Specimen T1. These
included the weld access hole, beam web attachment detail, and panel zone
doubler plates.

Three-dimensional finite element models of the connection subassembly were
developed for the parametric study using the general-purpose non-linear finite
element analysis program ABAQUS [19]. The finite element model is shown in
Figure 14, and consists of eight-node brick elements that utilize standard integration.
The models included details such as the welds, shear tab, bolt holes and bolts, and
the top back-up bar (the bottom back-up bar was removed in the connection). The
analyses in the parametric study were conducted by applying a prescribed monotonic
displacement to the top of the column to achieve a story drift of 0.03 radians of
plastic rotation, the magnitude of plastic rotation that connections must achieve in
qualification tests prescribed by AISC [12] and FEMA [16]. The bottom of the col-
umn and the end of the beam in the model had pin and roller boundary conditions,
respectively. The sub-model shown in Figure 14(b) was developed to obtain
increased accuracy in the computed local stress–strain state of the tension beam
flange region of the connection. The displacement results of the global model shown
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Fig. 13. Connection (a) subassembly test setup and (b) detail of Specimen T1.

in Figure 14(a) were used for the boundary conditions around the perimeter boundary
of the sub-model. The analyses accounted for material non-linearities using the von
Mises yield criterion. Isotropic hardening was assumed for the monotonic analysis.
Geometric non-linearities were accounted for through a small strain, large displace-
ment formulation. The members in the model are assumed to be made of A572 Gr.
50 steel. The stress–strain curves for the materials were based on material tests.
Elastic and inelastic convergence studies were conducted to evaluate and arrive at
the final mesh for the finite element models. In addition, verification studies were
performed by comparing predicted response with measured response for displace-
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Fig. 14. Finite element model.

ments and strain of Specimen T1. The details of these studies and how the material
and geometric non-linearities were implemented into the analyses are reported in
Ricles et al. [18].

Unstable crack propagation was not addressed in the study. Rather, the study was
concerned with the potential of ductile fracture through the development of stress
and strain states that would facilitate fracture if a flaw or other irregularity exists.
Furthermore, as noted above, the parametric study was conducted for monotonic
loading conditions only. As in prior analytical studies on welded moment connections
performed by El-Tawil et al. [21], it was assumed that the conclusions drawn from
this study are qualitatively applicable to cyclic conditions.
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6.2. Response indices

In the analyses cracks were not explicitly modeled. To evaluate and compare the
different analyzed connection configurations for ductile fracture potential, a rupture
index was computed at different locations of the connection. The same approach has
been used by others [21] in analytical connection studies. The rupture index (RI) is
defined as:

RI �
ep /ey

exp��1.5
sm

seff
� (4)

where εp, εy, sm, and seff are, respectively, the equivalent plastic strain, yield strain,
hydrostatic stress, and equivalent stress (also known as the von Mises stress). The
rupture index was motivated by the research of Hancock and Mackenzie [22] on the
equivalent plastic rupture strain of steel for different conditions of stress triaxiality.
The process of ductile fracture initiation is caused by high tensile triaxial stresses
(i.e., high tensile hydrostatic stress) that result in damage accumulation through
microvoid nucleation and coalescence. The ratio of hydrostatic stress-to-von Mises
stress (sm/seff) that appears in the denominator of Equation (4) is called the triaxiality
ratio (TR). High triaxiality can cause a large reduction in the rupture strain of a
material, thereby limiting its ductility [23]. Thus, locations in a connection with
higher values for RI have a greater potential for fracture.

The ratio of equivalent plastic strain-to-yield strain that appears in the numerator
of Equation (4) is called the plastic equivalent strain (PEEQ) index. This index is a
measure of the local inelastic strain demand, and is also useful in comparing the
different analyzed configurations. The PEEQ index is computed by:

PEEQ Index �
�2

3
eijpeijp

ey
(5)

where epij are the plastic strain components.
The triaxiality ratio and PEEQ index were also computed at different locations of

the connection to provide additional means of comparing the analyzed connection
configurations. The locations determined to have the highest fracture potential in the
different analyzed configurations [18] are in the weld access hole region, near the
interface of the weld metal and base metal at the bottom surface of the beam tension
flange, and the beam web groove weld (see Figure 15). Comparisons are made at
these locations when the story drift is at 0.03 radians of plastic rotation.
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Fig. 15. Regions of connection with highest fracture potential.

7. Finite element results

7.1. Weld access hole configuration

The investigation involved a detailed study to examine the fracture initiation
potential of access holes with different geometrical configurations and to develop
improved configurations that have sufficient clearance for welding. The primary geo-
metrical parameters were the overall length of the weld access hole, length of the
flat portion of the weld access hole, slope of the weld access hole, and height of the
weld access hole. The nine different weld access hole configurations, shown in Figure
16, were selected for detailed evaluation. Configuration 1 is the configuration com-
monly used in construction and in the numerous recent connection tests, including
those conducted by Stojadinovic et al. [14] and Engelhardt [15]. It is similar to one
of the standard weld access hole geometries prescribed by AISC [24] for rolled
sections. The diameter of the circular portion of the hole is 20 mm with a length
equal to 1.5 times the thickness of the beam web. Configuration 2 is one without a
weld access hole, which is not practical for actual fabrication but is studied for
the purpose of comparison. The size and geometry of the other configurations were
developed from configuration 1 with the intent to minimize the plastic strain demand
and the rupture index in order to reduce the potential for fracture of the beam flange
near the weld access hole region. The diameter of the weld access hole in all the
configurations is 20 mm, which is probably the smallest diameter that still permits
proper welding of the beam flanges. The prototype connection configuration used is
that of Specimen T1, where the beam web is welded directly to the column flange
with a groove weld and supplementary fillet welding is placed along the edges of
the shear tab.

The profile of the PEEQ index value across the beam flange on a line that passes
through the root of the weld access hole (point A in Figure 16) is shown in Figure
17 for four selected configurations. Configuration 1 of the weld access hole is shown
to have a high concentration of plastic strain in the middle of the flange, at the root
of the weld access hole where initiation of fracture occurred in the tests conducted
by Stojadinovic et al. [14] and Engelhardt [15]. The maximum value of the PEEQ
index that developed in the weld access hole region (the location is identified for
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Fig. 16. Various weld access hole configurations investigated.

Fig. 17. PEEQ index across beam tension flange for selected weld access hole configurations.

each configuration in Figure 16) is summarized in Figure 18 for all the nine weld
access hole configurations. Configuration 1 is found to impose the largest demand,
while configuration 6 has the lowest PEEQ index for an access hole, about one-half
the value of configuration 1. It was found that for configuration 6 the magnitude of
plastic strain is smaller in both the region at the toe of the access hole and at the
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Fig. 18. Maximum PEEQ index value for weld access hole configurations.

edges of the beam flange. By the proper combination of moving the root of the weld
access hole away from the beam flange groove weld toe and prescribing a shallow
angle for the hole at the intersection of the flange, the maximum PEEQ index in the
hole region can be significantly reduced.

A summary of the triaxiality ratio and rupture index for hole configurations 1 and
6 is given in Table 1. Configuration 1 was found to have the highest triaxiality
ratio and rupture index amongst the weld access holes studied. Configuration 6 was
determined to have the lowest triaxiality ratio and rupture index. The maximum
rupture index in the hole region of configuration 6 is equal to 45% of that of con-
figuration 1. Thus, configuration 6 would have the lowest potential for crack initiation
amongst the different hole configurations. Configuration 6, referred to as the modified
weld access hole, was adopted in fabricating the connection specimen assemblies
tested under the experimental study. The access holes were ground to a surface
smoothness of about 250 micro-inches to remove any notches. The weld tabs were
removed and the area also ground to eliminate notches, and provide a smooth fillet
at the edges of the beam flanges.

Table 1
Comparison of triaxiality ratio and rupture index for weld access hole configurations 1 and 6.

Configuration [1] Triaxiality ratio [2] Rupture index [3]

1 0.62 255
6 0.55 114
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7.2. Beam web attachment detail

Four different web attachment details were investigated. These include the bolted
and welded web details that are summarized in Table 2. Web attachment detail I is
the same as the detail used in Specimen T1 (see Figure 13), where the beam web
is groove welded to the column flange and supplemental fillet welds are placed
around the shear tab on the beam web. Detail II is similar to detail I, except that
the supplemental fillet welds are omitted. Detail III has the beam web attached to
the shear tab by fillet welding, with no groove weld connecting the beam web to
the column flange. Detail IV is a bolted beam web connection using ten 25-mm-
diameter A325X bolts to connect the beam web to the shear tab. The shear tab for
all cases was fillet welded to the column flange. It is assumed that the modified weld
access hole is adopted and that the beam flange groove welds are made using the
E70TG-K2 electrode. In the bolted web attachment (i.e., detail IV) each bolt was
assumed to bear against the bolt hole, therefore the additional demand from bolt
slippage due to the beam web shear is not included in the analyses. All the details
had column web continuity plates but no doubler plate. Doubler plates were not
required in accordance with the current AISC LRFD seismic provisions [12].

The results of the analyses are summarized in Figure 19, where values of the PEEQ
index, triaxiality ratio, and rupture index at the edge and middle of the interface of
the weld metal and base metal of the beam tension flange, the weld access hole
region, and the edge of the beam web are shown at an inelastic story drift of 0.03
radians. These locations, identified in Figure 15, are the locations having the greatest
potential for fracture.

Figure 19(a) shows that the web attachment detail associated with detail III (fillet
welded beam web-to-shear tab detail) has the overall largest PEEQ index, which
occurs at the edge of the fillet weld attaching the shear tab to the column flange.
The PEEQ index is shown to be largest at the edge of the beam flange for details
II and IV (groove welded beam web detail and bolted beam web detail, respectively).
For detail I (groove welded beam web with supplemental fillet weld detail) the largest
value of the PEEQ index occurs at the edge of the beam web groove weld. However,
this value is 1.73 times smaller compared to the PEEQ index at the same location
in detail III.

The triaxiality ratio is the largest for all the cases at the edge of the beam web,

Table 2
FEM analysis matrix of beam web attachment details.

Case [1] Beam web groove weld [2] Fillet weld at shear tab Beam web bolts [4]
edges [3]

I Yes 10 mm 2 erection bolts
II Yes None 2 erection bolts
III None 10 mm 2 erection bolts
IV None None 10 shear bolts
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Fig. 19. PEEQ index, triaxiality ratio, and rupture index at selected locations for various web attachment
details.

as shown in Figure 19(b). This location corresponds to near the toe of the beam web
groove weld for details I and II, and at the fillet weld attaching the shear tab to the
column flange for details III and IV. The restraint by the beam web groove weld
and supplemental fillet weld in detail I results in the largest triaxiality ratio amongst
the attachment details. The corresponding values of rupture index of the four details
are given in Figure 19(c), where detail III is shown to have the largest rupture index,
occurring in the shear tab-to-column flange fillet weld. The rupture index for detail
I is also large at the beam web groove weld, with other locations for details I and
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III shown in Figure 19(c) to be relatively small. The rupture index at the edge of
the beam web weld is over three times that at the beam flange in details I and III.
Detail I is shown to have the smallest PEEQ and rupture index amongst the four
details at the interface of the beam tension flange and weld metal, as well as the
access hole region. This is due to the beam web groove weld and supplemental fillet
weld creating a stiff web attachment, with out-of-plane local buckling of the beam
web restrained near the column face. Furthermore, an additional path of force transfer
exists. This results in lowering the demand on the beam flanges.

The above results suggest that the fracture potential of the beam flanges is reduced
when the web of the beam is groove welded to the column and supplemental fillet
welds are used. However, the fracture potential at the beam web groove weld is
increased due to the high restraint. A fracture of the beam web weld will alter the
stress and strain distribution pattern and impose more demand on the beam flanges,
possibly leading to less desirable performance of the connection.

As will be discussed next, the high local strain at the edge of the beam web groove
weld in detail I is caused by the weak panel zone, which has undergone significant
inelastic shear deformations. In all the web attachment details no doubler plate exist.
The ratio of panel zone-to-beam moment (Mpz/Mbm) is 1.02, where Mpz is the beam
moment developed at the face of the column based on the panel zone nominal design
strength Ru (Equation (6) given below) and accounting for the column shear, and
Mbm is the beam moment at the column face due to the beam flexural capacity Mp

developing in the plastic hinge at a distance equal to one-half the beam depth from
the column face.

7.3. Panel zone strength

The panel zone design shear strength Ru given by the current AISC LRFD seismic
provisions [12] is equal to:

Ru � fv0.6Fycdctp�1 �
3bcftcf

2

dbdctp
� (6)

where Fyc, bcf, tcf, dc, db and tp are the panel zone material yield strength, column
flange width, column flange thickness, column depth, girder depth, and panel zone
thickness, respectively, and fv is the resistance factor (equal to 0.75). Equation (6)
is based on the work of Krawinkler [25], where the panel zone is assumed to have
undergone an average shear strain that is four times the yield shear strain when the
panel zone strength is developed. The second term in Equation (6) accounts for the
increase in panel zone shear force beyond yielding due to the bending restraint of
the column flanges. In design [12] Ru need not exceed the panel zone shear force
determined from 80% of the sum of the expected moment capacity Mpe of the beams
framing into the connection. For Grade 50 steel, Mpe is equal to 1.1Mp. The beam
moment Mbm used throughout this paper is equal to approximately 1.1Mp, and there-
fore is also equal to Mpe.

A weaker panel zone will result in more inelastic deformations occurring in the
panel zone. The effect of panel zone deformations on the ductile fracture potential



590 J.M. Ricles et al. / Journal of Constructional Steel Research 58 (2002) 565–604

of the connection was investigated. Results are presented at the critical locations in
the connection identified in Figure 15. The configuration and details of Specimen
T1 were again adopted, with three different panel zone strengths. The following three
panel zone details were used: (1) no doubler plate; (2) one 13-mm-thick doubler
plate with a yield stress of 345MPa (i.e., A572 Gr. 50 steel); and (3) one 25-mm-
thick doubler plate with a yield stress of 345MPa. The corresponding Mpz/Mbm ratio
based on using nominal yield strengths and φv = 0.75 in (6) is 1.02, 1.30, and 1.58,
respectively, for the three panel zone designs.

The PEEQ index, triaxiality ratio, and rupture index for all the three panel zone
designs are plotted in Figure 20 as a function of the Mpz/Mbm ratio. These results
correspond to an inelastic story drift of 0.03 radians. The PEEQ index in the beam
web weld is shown to be reduced in Figure 20(a) by a factor of about 3.4 when the
panel zone strength is increased from Mpz/Mbm = 1.02 to 1.58. Increasing the panel
zone strength was found, however, not to significantly change the PEEQ index in
the access hole region and beam flange. The triaxiality ratio is the highest at the

Fig. 20. Effect of panel zone strength on PEEQ index, triaxiality ratio, and rupture index at selected
locations in connection.
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beam web groove weld compared to other locations in the connection (see Figure
20(b)) due to the high local restraint at the beam web-column flange interface. A
slight decrease occurs in the triaxiality ratio at this location with a stronger panel
zone. The rupture index at the beam web weld is shown in Figure 20(c) to signifi-
cantly decrease with an increase in panel zone strength, whereas the rupture index
at the beam flange and weld access hole region are almost constant with panel
zone strength.

These results indicate that connections with a stronger panel zone, which conse-
quently have a reduced shear deformation, have less fracture potential than connec-
tions with a weak panel zone. The fracture potential of the groove welded beam
web attachment detail is significantly reduced, making this connection detail more
appealing. A stronger panel zone is, therefore, recommended for welded unreinforced
flange beam-to-column connections that have a groove welded beam web attachment
with supplemental fillet welding.

To achieve a stronger panel zone design, only the first term in (6) could be used
in conjunction with omitting the factor of 0.8 that is applied to the beam moment
demand. Using this approach, a panel zone with a 13-mm-thick Grade 50 steel
doubler plate would be required for Specimen T1. For this configuration Mpz/Mbm

equals 1.07, where Mpz is based on nominal material properties and φv is equal to 0.75
in (6). The corresponding rupture index at the beam web weld for this configuration is
about 172. The current AISC seismic design provisions [12] would not require a
doubler plate for Specimen T1, and the corresponding rupture index would be equal
to 392. Therefore, basing the panel zone strength Ru on only the first term in (6)
results in a significant reduction of the rupture index at the beam web groove weld.

8. Experimental study

8.1. Test program

The results of the finite element parametric study were verified by the testing of
11 full-scale specimens. The test matrix for the experimental study is given in Table
3 and consisted of six exterior moment connections and five interior moment connec-
tions. All of the specimens had complete penetration beam flange groove welds using
the E70TG-K2 filler metal. The beam web attachment detail, panel zone strength,
and use of continuity plates were varied among the specimens.

In the test matrix, Specimens T1, T2, T3, T4, T5, and T6 were exterior connec-
tions. The beam and column were A572 Gr. 50 W36 × 150 and W14 × 311 sections,
respectively. The beam web attachment and panel zone strength were the main vari-
ables. Five different beam web attachment details were tested. Specimen T1 was
described before, and consisted of a beam web detail that was welded directly in
the vertical position to the column flange with a full-length complete penetration
groove weld, along with a supplementary fillet weld which was then applied continu-
ously around the edges of the shear tab (Figure 13(b)). In Specimen T2, the weld
details were the same as T1 except that no supplementary fillet weld was placed. In
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Table 3
Test specimen matrix by Ricles et al. [18]a

Specimen Connection Column Beam web attachment Doubler Continuity Mpz/Mp

[1] configuration size [3] detail [4] plate plate [7]
[2] thickness thickness

(mm) [5] (mm) [6]

T1 Exterior W14 × groove welded web; 0 25 1.09
311 supplemental fillet

welds
T2 Exterior W14 × grooved welded web; no 0 25 1.09

311 supplemental fillet welds
T3 Exterior W14 × fillet welded shear tab 0 25 1.09

311
T4 Exterior W14 × bolted shear tab 0 25 1.09

311
T51 Exterior W14 × groove welded web; 1@13 0 1.55

311 supplemental fillet
welds

T6 Exterior W14 × groove welded heavy 1@13 0 1.55
311 shear tab, fillet welded

beam web
C1 Interior W14 × groove welded web; 2@19 0 1.22

398 supplemental fillet
welds

C21 Interior W14 × groove welded web; 2@19 25 1.22
398 supplemental fillet

welds
C31 Interior W27 × groove welded web; 2@16 0 1.51

258 supplemental fillet
welds

C41 Interior W27 × groove welded web; 2@16 25 1.51
258 supplemental fillet

welds
C51,2 Interior W14 × groove welded web; 2@19 0 1.22

398 supplemental fillet
welds

a Note: (1) Weld tabs were used on the vertical beam web groove weld. (2) A 165-mm-thick concrete
composite slab was placed on the beam top flange. (3) Beams were W36 × 150, A572 Grade 50 for all
specimens. (4) Mpz: beam moment based on column panel zone strength given by the first term of Equation
(6) with φv=1.0; Mp: beam flexural capacity

Specimen T3, a fillet weld was applied continuously around the edges of the shear
tab and the beam web groove weld was omitted. In Specimen T4, the beam web
was bolted to the shear tab. Specimens T1 through T4 had continuity plates, but no
doubler plates because their panel zone strength satisfied the 1997 AISC Seismic
Provisions. The ratios of Mpz/Mp for all specimens are summarized in Table 3, where
Mpz is the beam moment at the column face corresponding to a panel zone shear
strength based on the first term in Equation (6) with φv = 1.0 and Mp is the beam
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flexural capacity based on measured material properties and dimensions. Specimens
T5 and T6 had a stronger panel zone. Specimen T5 was similar to Specimen T1
except that it had a 13-mm-thick doubler plate in the column panel zone and no
continuity plates. Specimen T6 was also similar to Specimen T1, except that it had
a 13-mm doubler plate as well as a heavy shear tab (32 × 254 × 737 mm); the latter
was welded to the column face with a complete penetration groove weld and fillet
welded to the beam web continuously around the edges of the shear tab (Figure 21).
Specimen T6 also did not have continuity plates. The shear tab and welds for Speci-
men T6 were designed to resist the plastic moment capacity of the beam web. The
design of the doubler plates for Specimens T5 and T6 was based on using only the
first term in the parenthesis of Equation (6), but the panel zone was designed to
resist the expected beam capacity Mpe = 1.1Mp, as opposed to 0.8Mpe per AISC [12].

The interior connection specimens consisted of two W36 × 150 A572 Grade 50
beams with either a W14 × 398 A572 Grade 50 column (Specimens C1, C2, and
C5) or a W27 × 258 A572 Grade 50 column (Specimens C3 and C4). The effects
of the continuity plates and composite slab on connection performance were investi-
gated in these tests. The FEMA Interim Guidelines [16] requires continuity plates
for all connections. The sizes of the doubler plate and continuity plates are noted in
Table 3. Specimens C1, C3, and C5 did not have continuity plates. The W14 × 398
column section (Specimen C1, C2, and C5) has a 72-mm-thick flange and a flange

Fig. 21. Heavy shear tab connection detail (Specimen T6).
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width-to-thickness (bf,col/tf,col) ratio of 5.83. The W27 × 258 section, having a 45-
mm-thick flange, was selected as the column for Specimens C3 and C4 because the
(bf,col/tf,col) ratio for the section is 8.06, and represents a column with a more slender
flange while satisfying the strong column–weak beam configuration of the 1997
AISC Seismic Provisions. It was anticipated that continuity plates would be more
effective in specimens with the more slender column flanges.

The interior connections had stronger panel zones to control panel zone defor-
mation. The design of the doubler plates for the interior connection specimens was
based on Equation (6) with the omission of the contribution of the second term in
the parenthesis, and therefore the design criteria was similar to that used for Speci-
mens T5 and T6. The beam web attachment for the interior connection specimen
detail consisted of a complete penetration groove welded beam web, similar to the
web detail of Specimen T1. Specimen C5 had a 165-mm-thick composite concrete
slab on the top of the beam. Nineteen-mm-diameter shear studs were placed at 305-
mm on center along the beam flange to develop composite action between the beam
and slab. The first shear stud was located at 229-mm from the column face.

All the test specimens were fabricated using 2.4-mm diameter E70TG-K2 elec-
trodes for the beam flange complete penetration groove welds, 1.6-mm diameter
E70T-1 self-shielded electrode wire for the column panel zone doubler plate com-
plete penetration groove welds, and 1.7-mm diameter E71T-8 electrode for the web
groove and fillet welds. Both the E70TG-K2 and E71T-8 satisfy the CVN toughness
requirement of 27 Joules at –29 °C [12]. All welds conformed to the AWS 5.20
Specification and Section 4.2 of AWS D1.1-94.

The weld tabs on the beam flanges were removed following placement of the
groove welds. The beam top flange back-up bar was left in place and a fillet
reinforcement weld was provided between the bottom surface of the back-up bar
and the column flange using an E71T-8 electrode. The beam bottom flange back-up
bar was removed using the air arc process, back gouged, and reinforced with a fillet
weld using an E71T-8 electrode. Weld tabs were used at the ends of the weld to
make the vertical beam web groove weld for Specimens C2, C3, C4, C5, and T5,
where the shear tab served as the back-up bar. After welding, the weld tabs were
removed and the beam web groove weld was ground to produce a smooth profile
(a roughness less than or equal to 250 micro-inches). No weld tabs were used for
the beam web groove weld of Specimens T1 and T2, however, the toes at the ends
of the welds were ground to produce a smooth profile. The complete penetration
groove welds for the beam flanges and web were inspected using the ultrasonic test
procedure. Welds were considered to pass inspection if they satisfied the AWS D1.1
static loading criteria. The continuity plates were about the same thickness as the
beam flange and were welded to the column using complete penetration groove
welds.

The modified access hole shown in Figure 12(c) was used in all of the test speci-
mens. The hole was drilled in Specimens T1, T2, T4, T5, and T6 and burned in all
other specimens. The edges of the access hole were ground using a pencil-type
grinder to remove any notches and provide a smoothness corresponding to 250
micro-inches of surface roughness.
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The material properties of the test specimens were determined from tensile coupon
tests of 505 round specimens with a 51-mm gage length and are given in Table 4.
The test results were in good agreement with mill reports, except for the yield stress
of the W14 × 311 column that is lower than the nominal yield stress of 345 MPa
for Grade 50 material. A limited number of CVN specimens were taken from the
k-region at two orientations (transverse and longitudinal direction to the section
length) of the W14 × 398, W14 × 311, W27 × 258 and W36 × 150 sections and
tested at room temperature. These sections had longitudinal CVN toughness values
that varied between 108 to 176 Joules at 21 °C, except for the W27 × 258 section
that had a toughness of 27 Joules at 21 °C and is believed to be a rotary straightened
section. CVN tests were also conducted on the E70TG-K2 weld metal. The weld
metal was found to have an average measured CVN toughness of 19 Joules at –29
°C and 83 Joules at 21 °C.

The exterior connection specimens were tested in the setup shown previously in
Figure 13(a). The test setup for an interior connection had a beam to each side of
the column, where at the end of the beam a rigid link was placed similar to that
shown in Figure 13(a). The test setup was designed to simulate the boundary con-
ditions of a beam-to-column connection in an MRF subjected to lateral loading. The
ends of the beams were pin connected to the rigid links using cylindrical bearing to
simulate beam points of inflection in the prototype frame. The rigid links enabled
horizontal movement at the ends of the beam. The base of the column was pinned
to the laboratory floor. At the top of the column a pair of parallel horizontal actuators
were pin connected to the column to impose story drift to the specimen. Thus, the
column inflection points were assumed to be at mid-story. Lateral bracing was pro-
vided, as indicated in Figure 13(a), to prevent out-of-plane movement and twisting
of the beam and column. The spacing of the bracing conformed to the requirements

Table 4
Material properties of test specimens for Ricles et al. [18]a

Material [1] Yield stress (MPa) Tensile strength
[2] (MPa) [3]

W36 × 150 beam1, Flange/Web 380/426 494/518
W36 × 150 beam2, Flange/Web 391/434 500/520
W14 × 311 column, Flange/Web 326/339 480/483
W14 × 398 column, Flange/Web 367/360 500/497
W27 × 258 column, Flange/Web 346/384 506/502
Continuity plate, Ext.Conn./Int. Conn. 263/366 434/489
Doubler plate (19 mm) 394 531
Doubler plate (16 mm) 453 592
Shear tab (16 mm) 354 521
Shear tab (32 mm) 348 496
Rebar (Specimen C5) 477 782

a Note:W36 × 150 heat 1 for Specimens T1, T2, T3, T4, T5, T6, C3, C4, Mp = 3,763KN-m; W36 ×
150 heat 2 for Specimens C1, C2, C5, Mp = 3,836 KN-m



596 J.M. Ricles et al. / Journal of Constructional Steel Research 58 (2002) 565–604

of the 1997 AISC Seismic Provisions. Each specimen was extensively instrumented.
The instrumentation enabled the forces in the various components of the test speci-
men to be determined, as well as the contributions of the beam, panel zone, and
column to story drift to be measured.

The displacement history was based on the SAC Test Protocol [20] and consisted
of imposing a series of prescribed quasi-static cyclic displacement to the top of
the column.

8.2. Test results

The normalized beam moment at the column face–total plastic connection rotation
(M/Mp – θp) relationship for the exterior and interior connections is shown in Figures
22 and 23, respectively, where Mp is the plastic beam moment capacity based on
measured material properties and section dimensions.

The behavior of the exterior connection specimens varied, depending on the web
attachment detail and strength of the panel zone. As shown in the M/Mp – θp relation-
ships (Figure 22), the specimens with weaker panel zones (Specimens T1, T2, T3,
and T4) continued to gain strength as cyclic deformation was imposed. While yield-
ing occurred in the beam of these specimens, along with minor local beam flange
buckling, extensive yielding occurred in the panel zone. The increase in strength
continued until beam flange fracture occurred, or in the case of Specimen T3, shear
tab failure occurred. The flange fracture extended from a through-thickness crack
that had initiated from the edge of the flange, at the fusion line between the weld
and base metals. Specimens T5 and T6 had stronger panel zones, leading to extensive
cyclic local flange and web buckling in the beam. As a result, the resistance of these
specimens is seen to degrade following local buckling. Specimen T5 developed a
fracture in the beam flange where cyclic local buckling developed; Specimen T6 did
not develop a fracture.

Photographs of the connection region of Specimens T1, T5, and T6 at the end of
testing are shown in Figure 24. It is apparent that Specimen T1, having the weaker
panel zone, developed an appreciable amount of yielding (as evident by the flaking
of whitewash placed on the specimen) and permanent shear deformation in the panel
zone. Specimens T5 and T6 are seen to have some minor panel zone yielding, with
pronounced yielding and permanent local flange and web buckling occurring in the
beam where a flexural plastic hinge formed. The plastic hinge was found to develop
at one-half the beam depth from the column face in Specimen T5 and at three-
quarters of the beam depth in Specimen T6. The greater distance from the column
face in Specimen T6 is due to the restraint by the heavy shear tab, which extended
27% of the beam depth from the column face (i.e., 254-mm).

The behavior of the interior connection specimens were all similar, where pro-
nounced yielding occurred in the beam flanges and web, leading to local flange and
web buckling at a total story drift of about 3%. After local beam buckling, the
capacity of the specimens then began to deteriorate with further cyclic displacements,
as shown in Figure 23. A fracture of the beam flange eventually occurred in all
specimens, except for Specimen C4. In Specimens C1, C2, and C3 the beam flange
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Fig. 22. Exterior connection specimen beam moment-plastic rotation response (moment at column face).

fracture occurred in the base metal close to the heat-affected zone of the complete
penetration groove weld, propagating from a crack that initiated at the edge of the
flange at the weld metal–base metal fusion line (similar to the fracture in Specimen
T1, T2, and T4). In Specimen C5, which had the composite slab and shear studs
welded to the beam top flange, the fracture occurred suddenly in the east beam at
a shear stud located 533 mm from the column face (equivalent to a distance of 0.58
times the beam depth) where cyclic local buckling developed. The early fracture of
the beam flange was a direct cause of the welding of the shear stud reducing the
notch toughness of the base metal, combined with large local strain demand from
the effects of local flange buckling and yielding.

In all of the specimens no cracking or fractures were observed to have initiated
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Fig. 23. Interior connection specimen beam moment-plastic rotation response (moment at column face).

in the access hole region, implying that the performance of the access hole was
exceptional. As noted previously, beam flange fracture occurred in regions where
cyclic local beam flange buckling had taken place, or initiated near the edges of the
beam flange in the heat-affected zone of the base metal at the beam flange groove
welds.

A summary of the contribution of the beam, column, and panel zone to the total
maximum plastic story drift θp,max for each specimen is given in Figure 25. These
results are based on the last successful cycle that was achieved prior to either fracture
or degradation of the specimen strength to 80% of the beam nominal flexural
capacity. The plastic story drift θp,max for the exterior connection specimens ranged
from 0.011 radians (Specimen T3) to 0.049 radians (Specimen T6), while for the



599J.M. Ricles et al. / Journal of Constructional Steel Research 58 (2002) 565–604

Fig. 24. Photographs of specimens upon completion of testing, (a) Specimen T1, (b) Specimen T5, and
(c) Specimen T6.

Fig. 25. Test specimen plastic story drift capacity.

interior connection specimens θp,max ranged from 0.026 radians (Specimen C5) to
0.052 radians (Specimen C4). The reduced ductility in Specimen C5 is due to the
fracture caused by the placement of the shear studs. Excluding Specimen C5, the
minimum θp,max developed in the interior connection specimens was 0.041 radians
(Specimen C3). The specimens with weaker panel zones (i.e., Specimens T1, T2,
T3, and T4) are shown in Figure 25 to have a larger contribution of inelastic panel
zone deformation to θp,max. In Specimen C5, an average increase of 15% in the beam
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moments developed. This led to larger panel zone shear forces, and resulted in larger
inelastic panel zone rotations compared to the other interior connection specimens.

8.3. Evaluation of test results

With the exception of Specimen C5, specimens that had predominantly beam plas-
tic rotation are shown to exceed the total plastic rotation of the specimens that had
predominantly panel zone deformation. A comparison of Specimen T1 with Speci-
mens T5 and T6 (see Figure 25), both with welded beam web details (Specimen T6
had a heavy shear tab), shows that better connection performance can be achieved
if panel zone plastic deformation is controlled. This is also supported by the perform-
ance of the interior connection specimens (Specimens C1, C2, C3, and C4), which
had the same fully welded beam web detail as Specimen T1 but a stronger panel
zone. In addition, the test results show the importance of the web attachment. Speci-
mens with the groove welded beam web and supplemental fillet welds had better
ductility (i.e., Specimens T1, T5, C1, C2, C3, and C4). The use of a heavy shear
tab that is fillet welded to the beam in the field to develop the beam web moment
capacity (i.e., Specimen T6) performed as well as the connection web detail con-
sisting of a groove weld and supplemental fillet weld. The bolted beam web detail
of Specimen T4 had the second smallest plastic story drift capacity, which was 0.018
radians. Only the specimens with either the complete penetration groove welded
beam web and supplement fillet welds (i.e., Specimens T1, T5, C1, C2, C3, and C4)
or the heavy shear tab fillet welded to the beam web (Specimen T6) achieved a
maximum plastic rotation of at least 0.03 radians, either prior to fracture or prior to
degrading to a strength corresponding to 80% of the beam nominal flexural capacity.
Therefore, only these would qualify for use in special MRFs in accordance with the
FEMA Interim Guidelines [16] or the AISC Seismic Provisions [12]. Specimens T5,
T6, C1, and C3 did not have continuity plates, yet as noted above were among those
specimens that achieved a maximum plastic rotation greater than 0.03 radians. As
noted before, all specimens would require continuity plates to satisfy the FEMA
Interim Guidelines while the 1997 AISC Seismic Provisions would require qualifi-
cation tests to determine whether or not they were needed. The placing of a shear
stud in the beam plastic hinge region jeopardized the ductility of Specimen C5. The
fracture of the beam flange that resulted reduced the maximum plastic rotation in
the connection to 0.026 radians. Placing the shear studs outside the beam hinge
region would likely result in the connection exceeding a plastic rotation of 0.03
radians, since Specimen C1 achieved 0.042 radians of plastic rotation and was ident-
ical to Specimen C5 except for the composite floor slab.

The membrane strain of the continuity plate, εave, representing the average meas-
ured strain of the top and bottom face of the continuity plate at 25 mm from the
inside face of the column flange, is shown in Figure 26(a) for Specimens T1, C2,
and C4. The highest demand on the continuity plates occurred in Specimen C4,
which had a W27 × 258 column with 45-mm-thick flanges and a column flange
width-to-thickness (bf,col/tf,col) ratio of 8.06. The membrane strain, however, was in
the elastic range. The demand was smaller on the continuity plates of Specimen C2,



601J.M. Ricles et al. / Journal of Constructional Steel Research 58 (2002) 565–604

Fig. 26. Continuity plate (a) membrane strain, and (b) continuity plate-to-beam flange force ratio.

which had a W14 × 398 column with thicker flanges and (bf,col/tf,col) equal to 5.83.
For Specimen T1, which had a W14 × 311 column (with bf,col/tf,col equal to 7.18)
and was an exterior connection, the maximum membrane strain was between the
maximum membrane strains of Specimens C2 and C4.

The beam flange tension force pflange at the column face was estimated from the
beam bending moment at the column face using Equation (7). Since the membrane
strain is elastic, the continuity plate tension force pcont can be computed from the
average membrane strain εave of the plate, as given below.

pflange �
aMf

dbm�tf,bm

(7)

pcont � eaveEAcont (8)

Here, a is the ratio of the plastic moment contributed by the beam flanges to the
plastic moment of the entire section and Mf is the beam moment at the column face.
The remaining quantities dbm, tf,bm, Acont, and E in Equations (7) and (8) are the beam
depth, thickness of beam flange, cross sectional area of continuity plates, and
Young’s modulus, respectively.

A plot of the ratio of pcont/pflange is shown in Figure 26(b), where α is equal to
0.68 for the W36 × 150 beam used in Specimens T1, C2, and C4. Figure 26(b)
indicates that a maximum of approximately 40% of the beam flange tension force
was resisted by the continuity plates in Specimen C4. The stiffer column flange (i.e.,
smaller bf,col/tf,col ratio) of Specimen C2 reduced the force transferred to the continuity
plates, where the maximum value for the ratio of pcont/pflange is less than 0.20. The
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ratio pcont/pflange for Specimens C2 and C4 was reduced after the onset of beam local
buckling occurred during the 3% story drift cycles. However, for Specimen T1,
which had a weak panel zone, this ratio continuously increased until the beam flange
fractured at 5% story drift. These results indicate that a connection with a weak
panel zone may result in an increase in the demand on the continuity plates. In
addition, the slenderness (i.e., bf,col/tf,col ratio) of the column flange influences the
effectiveness of the continuity plate, where for more slender column flanges the
continuity plates are more effective and transfer a larger proportion of the beam
flange force to the panel zone.

9. Conclusions and design recommendations

Based on the research presented, the following conclusions and design recommen-
dations are given.

Both small-scale simulated beam flange-to-column flange tests and full-scale
dynamic cyclic tests of pre-Northridge connections show failure modes similar to
those observed in the field. Brittle fracture developed in the elastic range of response
from flaws in the low-toughness E70T-4 weld metal and geometric conditions.
Acceptable connection performance appears to be obtainable by using a high-tough-
ness weld metal in conjunction with removal of the back-up bars and other modifi-
cations noted below. The new FEMA 350 Recommended seismic design criteria for
new steel moment-frame buildings [26] requires a filler metal toughness of 27 Joules
at –29 °C and 54 Joules at 21 °C for critically welded joints in seismic resisting sys-
tems.

In connection tests with a notch tough filler metal and access holes with conven-
tional geometry, ductile fracture initiating at the edges of the weld access hole was
observed, degrading the performance of the connection. The modified access hole
geometry consisting of a short, flat region on the beam flange of one beam flange
thickness was found to result in good performance. The modified access hole
geometry is recommended for welded unreinforced moment connections in special
MRFs, and has been adopted by FEMA 350.

The web attachment detail can significantly affect the ductility of a connection
that has been fabricated using a notch tough filler metal. A beam web attachment
detail consisting of a complete penetration groove welded web and supplemental
fillet welds around the beam shear tab, or a heavy shear tab welded to the column
with a complete penetration groove weld and fillet welded to the beam web, produced
the best results. The total plastic story drift capacity of test specimens with the groove
welded beam web detail and the modified access hole geometry ranged from 0.035
to 0.052 radians. Weld tabs were found to improve the quality of the beam web
groove weld and thereby the connection performance. It is recommended that welded
unreinforced moment connections in special MRFs use one of these two welded
beam web attachment details.

Test specimens with a weak panel zone and notch tough filler metal developed
significant inelastic shear deformation in the panel zone, resulting in an increase in
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the plastic strain demand on the beam web welds. Improved performance was achi-
eved in specimens designed with their panel zone strength based on only the first
term of the panel zone strength expression of the 1997 AISC Seismic Provisions.
Thus, the design strength was based on only the yield capacity of the column panel
zone. This procedure is recommended for the design of panel zones of welded unre-
inforced moment connections.

The fracture toughness of the base metal is reduced where a shear stud is welded
to the beam flange, raising the potential for brittle fracture at shear studs that are
located in the region of inelastic cyclic local flange bucking that cause small cracks
to initiate. It is recommended that shear studs not be placed in the plastic hinge
region of the beam, where cyclic local beam flange buckling is expected.

The test results indicate that continuity plates are not always required. Specimens
tested by the authors without continuity plates and no shear studs in the beam plastic
hinge region had a plastic story drift greater then 0.041 radians. These specimens
had column flange width-to-column flange thickness ratios ranging from 5.83
(W14x398) to 8.06 (W27x258) and column flange thickness of 45 mm to 72 mm.
The FEMA Interim Guidelines would require continuity plates in the prototype con-
nections of all of the specimens, while the 1997 AISC Seismic Provisions require
continuity plates to match the specimen conditions of the qualification tests. Design
recommendations cannot be provided until further studies are completed.
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